DESIGN SPECIFICATIONS AND CODES

To ensure a certain level of safety for all structures, the design process is guided by a set of design rules and recommendations developed through theory and experience. These design rules are known as specifications and contain formulas that may be used to determine the nominal strength and stiffness characteristics of structural member and system. Common specifications are: 

· AISC (American Institute of Steel Construction) - we will be mostly using this! 

· AISI (American Iron and Steel Institute)

Specifications are technical documents have no legal bearing unless they are adopted by building codes. A building code is a broadly based legal document that covers a wide range of topics including safety, structural design, architectural design, etc. Typical codes are:

· AASHTO (American Association of State Highway and Transportation Officials)

· UBC (Uniform Building Code)

· State and Local Codes

Steel Structures and Their Components

Steel is a very versatile material that has been used for a wide variety of structures: Here are a number of steel systems:

Truss Structures
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Moment Resisting Frame Structures
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Braced Frames
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Shell or Skin Structures
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Cable and Suspension Structures
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Composite Structures, combining steel and concrete components or systems

Steel structures, whatever their types, are comprised of different types of members:

· Tension members
· Compression members

· Beam members

· Connections between the different members

Steel members are typically chosen from among standard shapes adopted by the AISC since most of these shapes are easy to get. Here are some standard shapes:
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Wide flange sections are the most popular. They are formed by hot rolling in the steel mill and are designated W14x257 for example. W stands for wide flange section, 14 stands for the nominal depth (it may vary slightly) and the 257 refers to the nominal weight in pounds per foot. 

The AISC Manual

The AISC’s Manual of Steel Construction is comprised of two volumes, Vol. I “Structural Members, Specifications and Codes” and Vol. II “Connections”. Volume I is made up of seven parts:

· Dimensions and properties

· Essentials of LRFD

· Column design

· Beam and girder design

· Composite design

· Specifications and codes

· Miscellaneous data and Tables
DESIGN PHILOSOPHIES AND LOADS

In 1923 the AISC brought out it’s first specification. The specification was based on what is termed the allowable stress design (ASD) philosophy. The criterion for acceptable design strength is that the maximum stress under maximum loads assuming elastic behavior must be less than some limiting stress obtained by dividing the failure stress by a factor of safety: 



 

There are several problems with this approach:

1) Although it may be rational for tension members, this approach is too simplistic for other types of members. For example, compression members fail under different stresses depending on the slenderness of the columns. Therefore, the factor of safety has to be adjusted empirically to account for different forms of structural behavior. 

2) The approach does not distinguish between local and global failure. For example, while a connection may yield locally, its strength may be several times the first yield load. Again the safety factors have to be adjusted to account for such local effects.

3) The dependence on stress and not strength does not allow a rational evaluation of safety.

Over the past 20 years, structural design has been moving towards a more rational probability based design process referred to as “limit state” design. It is also known as “ultimate strength” design, “strength” design, “plastic’ design, “load factor” design, “limit” design, or just simply LRFD. 

Limit states implies states at which certain limiting conditions are reached. For example, a strength limit state is reached when a member or structure reaches its strength. 

Serviceability limit states refer to certain stiffness, deflection, or other conditions that must not be reached to permit proper functioning of the structure. For example, a floor must not vibrate too much otherwise you would not feel comfortable crossing it.

The LRFD requirement for structural safety requires that :




 

Where :

Rn is the nominal strength or resistance of the member. 

is a strength reduction factor (< 1.0) that reflects the uncertainty in our knowledge of material properties. 

The Q’s are the forces applied from different types of loads, for example dead loads, live loads etc., 

The ’s are load factors (>1.0) that also reflect the uncertainty in load values. 

The probability of failure can be calculated in the following manner:
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Types of Loads

Building codes provide guidance on how to calculate loads acting on buildings. There are many types of applied loads:

Dead Loads

Are fixed position service gravity loads. These include the weight of the structural system itself, and any fixed attachments such as pipes, machinery, flooring, etc. Handbooks, building codes, or specifications such as ASCE-7 will provide guidance on these weights. 

For example, find the dead load acting on the shown steel beam (flooring is 15 psf):
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Beam weight = 97 lb/ft

Weight of slab = 150 (pcf)  * 6/12 * 6 = 450 lb/ft

Weight of flooring = 15 (psf) * 6 = 90 lb/ft

Total dead weight = 637 lb/ft

Live Loads

Are service gravity loads that vary in position and with time. These include human occupants, furniture, etc. Typical live loads are:

	Occupancy
	Live Load (psf)

	Apartments
	40

	Offices
	50

	Library stacks
	150


Example: Suppose that the beam cross-section shown above is in an office. What is live load acting on it? Answer: Live Load = 6*50 = 300 lb/ft
Load Factors 

The load factors are chosen to reflect the variability of the applied loads. The load combinations that must be considered are:

1.4D

1.2D + 1.6L + 0.5(Lr or S or R)

1.2D + 1.6(Lr or S or R) + (0.5L or 0.8W)

1.2D + 1.3W + 0.5L + 0.5(Lr or S or R)


1.2D ( 1.0E + 0.5L + 0.2S

0.9D ( (1.3W + 1.0E)

Where: 

D = Dead load

L = Live load

Lr = Roof live load

R = Rain or ice load

S = Snow load

W = Wind load

E = Earthquake load

Note that an equation represents one load acting at its maximum value, whereas the other values are acting at arbitrary points in time.

Example: Consider the exterior bottom column in the building shown below. A structural engineer calculated the following loads. Find the factored design loads.

D = 200 kips

L = 180 kips

W = (150 kips

S = 70 kips




=
1.4*200 = 280 kips


= 
1.2*200 + 1.6*180 + 0.5*70 = 563 kips


=
1.2*200 + 1.6*70 + 0.8*150 (or 0.5*180) = 472 kips


=
1.2*200 + 1.3*150 + 0.5*180 + 0.5*70 = 560 kips


=
1.2*200 + 0.5*180 + 0.2*70 = 344 kips


=
0.9*200 - 1.3*150 = -15 kips

This column must be designed for a compressive load of 563 kips and a tensile load of 15 kips.

TENSION MEMBERS

We will concentrate on the structural shape tension members. In such members, the cross-section is a standard shape or is built up of standard shapes and plates. 

Structural shapes are connected to gusset plates through bolts or by welding. 
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Bolting requires holes to be punched in both the tension member and gusset plate to accommodate the bolt. The bolt hole is made 1/16 in greater in diameter. During the punching operation, 1/32 in all around is considered to have been damaged. Hence the actual bolt hole diameter that will be considered in our calculations is:

D = D + 1/16 + 1/32 + 1/32 = D + 1/8 in

Failure of Tension Members

Now, let us discuss the possible ways in which a tension member will not perform in a satisfactory manner. Once we have identified these, we need to develop methods by which to design members that will not fail in the identified modes of failure, and will perform satisfactorily.
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· Yielding of the gross cross-section : Yielding of the gross member section will cause excessive deformations that are unacceptable.

· Fracture at the bolt holes (net section) : Yield at the bolt holes is very localized, and will not cause unacceptable deformations. Strain hardening will be beneficial if this happens. However, fracture at this location is unacceptable. 

· Block Shear and yielding: The member may tear away from the connection along the shown path. This process involves both fracture and yielding. 
· Shear lag (not really a mode of failure): At the connection, the forces in the outstanding leg need to be transferred to the gusset plate. This is long load path that will reduce the structural efficiency of the member.

· Vibration or sag of the member: if the member is too flexible in the lateral direction it will vibrate under loading causing discomfort or alarm.

X-Section Yielding

The nominal strength of a tension member failing by yielding of the gross section is:




Where

Fy = Steel yield strength

Ag = Gross area of section

The LRFD design approach requires that 




Where :

Tn is the nominal strength of the member 

t is the resistance factor taken as: t = 0.9 for cross-section yielding
Tu is the applied factored load

Example: Check the adequacy of the shown tension element (fy=60 ksi)
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Tu = 1.2D + 1.6L = 1.2*60 + 1.6*100 = 232 kips

Tn = 6*0.75*60 = 270 kips

tTn = 0.9*270 = 243 kips > Tu  --- OK

Fracture at Next Section

The nominal strength of a member fracturing at the bolt hole location is 




Where

Fu = Steel ultimate strength

An = Net area of section

The LRFD design approach requires that 




Where t is the resistance factor taken as: t = 0.75 for fracture at net section
Note that this value is less than that for yielding because fracture has a much more serious consequence than yielding. It is an abrupt type of failure, whereas yielding is more gradual.

Example: Find the design strength of the shown tension member bolted with six 6/8 in diameter bolts (fy = 36 ksi, fu = 58 ksi).
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Gross area of bar = 6*0.75 = 4.5 sq in.

Net area of bar = (6 - 6/8 -1/8 - 6/8 - 1/8) * 0.75 = 3.19 sq in

Nominal strength for cross-section yielding = 4.5*36 = 162 kips

Design strength for cross-section yielding = 162 * 0.9 = 145.8 kips

Nominal strength for net section fracture = 3.19 * 58 = 185 kips

Design strength for net section fracture = 185 * 0.75 = 138.8 kips

Design capacity of member = 138.8 kips
Staggered Fasteners

Sometimes bolts are placed in a staggered manner to maximize the number of bolts that can be placed in a connection. Staggering also has the advantage of maximizing the net area of the member.
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For the inclined path shown, the net width is now:




In other words, the stagger is accounted for by adding a correction term, 

 to each inclined line in the failure plane.

In cases where more than one failure path is possible, all failure paths must be investigated.

Example: Find the tensile capacity of the shown bar (diameter of bolts = 5/8 in, fy=36 ksi)
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Nominal strength for cross-section yielding = 9*0.75*36 = 243 kips

Design strength for cross-section yielding = 243 * 0.9 = 219 kips

Net width for path 1 = 9 - (5/8+1/8)*2 = 7.5 in

Nominal strength for net section fracture = 7.5*0.75*58 = 326 kips

Net width for path 2 = 9 - (5/8 + 1/8)*3 + 2*(2^2/4/3) = 7.41 in

Nominal strength for net section fracture = 7.41*0.75*58 = 323 kips

Net width for path 3 = 9 - (5/8 + 1/8)*2 + (2^2/4/3) = 7.833

Nominal strength for net section fracture = (7.833*0.75*58)*(8 bolts / 7) = 389 kips

Design strength for net section fracture = 323*0.75 = 242 kips.

Strength of member = 219 kips.

Net Section Fracture in Angle Members

For angles in which bolts exist in both legs, and for which the bolts are staggered with respect to one another, the angle may be unfolded and analyzed in the manner described before. The unfolding is done along the middle surface. 
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Effect of Shear Lag

As discussed above shear lag causes the structural sections to be less efficient at the connection. The strength equation for net section fracture must then be modified to reflect this:




where U is a reduction coefficient. 

For bolted or welded members in which not all elements are connected, U may be calculated from:




where x is the distance to the centroid and L is the length of the connection:
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In lieu of this equation, AISC - B3 commentary allows the following values for bolted connections:
· Note that U is only applied if some part of the cross-section is not connected. If all the cross-section is connected then 

U = 1.0

· For W, M, and S shapes (and T shapes cut from them) that have a flange width to depth ratio of at least 2/3 and are connected through the flanges with at least 3 fasteners per line, 

U = 0.9

· For all other shapes with at least 3 fasteners per line

U = 0.85

· For all members with only two fasteners per line

U = 0.75

For welded connections
For members other than a plate connected by longitudinal and/or transverse welds




For members connected by transverse welds alone:

U = Area of connected element/Total area

For plates connected by longitudinal welds at their ends:

U=1.0 for l > 2w

U=0.87 for 1.5w <=l < 2w

U=0.75 for w <= l , 1.5w
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Example: Find the tensile strength of the shown member (diameter of bolts = 5/8 in, and fy = 36 ksi):
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Nominal strength for cross-section yielding = 6.75*36 = 243 kips

Design strength for cross-section yielding = 243 * 0.9 = 219 kips

x = 1.47 in

L = 2.5*4 = 10 in

U = 1-1.47/10 = 0.853 < 0.9  O.K.

Alternatively, We could have used U = 0.75 for a member with 2 or more fasteners per line. However, not an economic solution.

Net area for path 1 = 6.75 - (5/8+1/8)*.5 = 6.375 sq in

Nominal strength for net section fracture = 6.375*58*0.853 = 315 kips

Net area for path 2 = 6.75 - (5/8 + 1/8)*0.5*2 + (2.5*2.5/4/3)*.5 = 6.26 sq in

Nominal strength for net section fracture = 6.26*58*0.853 = 309.7 kips

Design strength for net section fracture = 309.7*0.75 = 232.2

Design strength of angle = 219 kips
Block Shear

Is another type of failure that can happen. Two types are possible:

1)  Fracture on the shear surface and yielding on the tension surface

2)  Yielding on the shear surface and fracture on the tension surface
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The nominal strength for case 1, shear fracture, tension yield




The nominal strength for case 2, shear yield, tension fracture




where

Anv = net shear area

Agv = gross shear area

Ant = net tension area

Agt = gross tension area

Shear yield stress is taken as 60% of Fy, and shear fracture stress is taken as 60% of Fu

The strength reduction factor is 0.75 since fracture controls. The one with the larger fracture term/yield term ratio. More simply, the case with the larger strength is the one that controls.

Example: Check the block shear strength of the shown member (Bolts are 7/8 in)
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Agv = (1.5 + 3 + 3)*3/8 = 2.812 sq in

We must subtract out 2 ½ holes to get Anv = 2.8125 - 2.5 (7/8 + 1/8)*3/8 = 1.875

Agt = 1.5 * 3/8 = 0.56 sq in

We must subtract out ½ hole to get Ant = 0.56 - (7/8 + 1/8)*.5*3/8 = 0.375 sq in

Shear fracture, tension yields: 

Rn = 0.6*58*1.875 + 0.56*36 = 85.4 kips

Fracture term : 65.25 kips

Shear yield tension fracture yields, 

Rn = 0.6*36*2.812 + 0.375*58 = 82.5 kips

Fracture term : 21.75 kips

The first equation has a greater fracture term, hence it controls design. 

Design strength for block shear = 0.75 * 85.4 = 64 kips
Stiffness

It is important that tension members have some minimum stiffness so that they do not sag excessively under their own weight or vibrate in an inappropriate manner.

The minimum slenderness ratio is 300, i.e.




where 

r = smallest radius of gyration. Can be obtained from tables or from 


l = length of member.

This limitation does not apply to bars or cables.

Example: Does a L4x4x3/8 tension member 200 in long satisfy the stiffness criterion?

From tables, rx = ry = 1.23 in, rz = 0.79 in, Hence l/r = 200/0.79 = 253 < 300 OK. 
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Design Example

A tension member with length 15 ft must resist a service dead load of 40 kips and a service live load of 50 kips. Select a suitable member to resist these loads. Assume A36 steel and a single line of 7/8-in diameter bolts.

Factored loads:

Tu = 1.2D + 1.6L = 128 kips

Tu = 1.4D = 56 kips

Hence the maximum factored load is Tu = 128 kips.

Required Ag = 128/0.9/36 = 3.95 sq in

For an angle or double angle member with a single line of bolts with more than 3 bolts;

U = 0.85 

Required An = 128/0.75/58/0.85 = 3.45 sq in

Minimum r = 15*12/300 = 0.6 in  (so that l/r < 300)

We need to find a cross-section that has a gross area larger than 3.95 sq in, and a net are larger than 3.45 sq in, and that has a radius of gyration greater than 0.6.

We can use the tables in the LRFD manuals for this process.

SINGLE ANGLE MEMBER
Note that the net area does not include the area of the bolts holes. We therefore need to include this are to get the gross area so that we can choose a section. However, the gross-area calculated will be a function of the angle thickness. 

The gross area required based on the net area calculation is

Ag = An + (7/8 + 1/8) * thickness

Hence we must consider a range of angle thicknesses in order to get the lightest section.

We will also assume angles with equal legs. See table page 1-56 to 1-65

	Thickness
	Ag

 From cross section yielding
	Ag 

From net area calculation
	Angle
	Area
	r

	3/8
	3.95
	3.45 + 3/8*(1) = 3.825
	L6x6x3/8
	4.36
	1.19

	1/2
	3.95
	3.45 + ½*(1) = 3.95 
	L5x5x1/2
	4.75
	0.98

	5/8
	3.95
	3.45 + 5/8*(1) = 4.075
	L4x4x5/8
	4.61
	0.78


It is clear that L6x6x3/8 is the lightest (smallest area)

The design process is then concluded by calculating the number and arrangement of bolts and conducting a check on block shear.

If slenderness is controlling, it is best to use sections with smaller thickness and longer legs to maximize the radius of gyration.

To finalize the design, we must compute the number and arrangement of bolts, and then check for block shear failure.

DOUBLE ANGLE MEMBER

Since there are two angles that the bolts must go through, we must add two times the bolt area to get the gross area. Hence

Ag = An + (7/8 + 1/8) * thickness * 2

We will assume a clearance of 3/8 in between the angles. We will also assume angles with equal legs. See table page 1-91 to 1-104

	Thickness
	Ag

 From cross section yielding
	Ag 

From net area calculation
	Angle
	Area
	r

	5/16
	3.95
	3.45 + 5/16*(1)*2 = 4.075
	L3 ½ x 3 ½ x 5/16
	4.18
	1.08, 161

	3/8
	3.95
	4.2
	L3x3x3/8
	4.22
	0.92, 1.41

	1/2
	3.95
	4.45
	L3x3x1/2
	5.5
	0.89, 1.43


To finalize the design, we must compute the number and arrangement of bolts, and then check for block shear failure.
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The lightest selection is the first. Hence choose a member L3 ½ x 3 ½ x 5/16.

Stitching

When structural shapes are connected to form built up shapes, they must be connected at intervals along the length to ensure optimum performance. This is called stitching.

The general practice is locate the points of stitching so that l/r for any component part does not exceed l/r of the built-up member. (AISC D2)
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COMPRESSION MEMBERS AND COLUMNS

A compression member is designed to primarily carry axial loads applied along the longitudinal axis through the centroid of the member cross-section.
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In reality, most compression members are subjected to some bending moments in addition to the axial loads due to accidental eccentricities.
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Members that are designed to carry both bending moments and axial forces are known as beam-columns and will be treated later. For example:
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Elastic Column Buckling

Very slender columns may buckle under small loads in an elastic manner. The critical buckling strength of column may be computed from Euler’s equation:




Failure of Compression Members

A compression member may fail in many ways as illustrated below. 
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Column Effective Length

For members with ends other than pinned supports, the Euler buckling equation must be re-derived or modified to account for the new conditions. Fortunately, modification of the equation is simple through the effective length concept. Consider the shown columns with various boundary conditions:
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The effective length is the length between the inflection points of the buckled shape. 

The recommended values are given because it is difficult to achieve the fully fixed condition.

In certain situations, the effective length can be easily determined by inspection. For example, in the figure shown below, there are two effective lengths, (KL)y = L and (KL)x = KL’, because all connections are assumed to be hinge connections that allow rotation. 
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For rigid connections, the effective length is no longer obvious. 

It is possible to compute the degree of restraint at the beam to column connection. This takes the form (AISC Figure C-C2.2):




The summation is for all members rigidly connected to the joint and lying in the plane of buckling being considered. I is the moment of inertia, and L is the length of the member. The subscripts c and b stand for column and beam respectively.

G is calculated at both ends of a member.
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For short beams, or stiff beams (high I), G increases, and vice versa for columns.

G is theoretically zero for a fixed connection (for example fixed to a footing). Since a fixed connection does not exist, G is recommended as 1.0

G is theoretically infinity for a fully pinned connection. Since such types connection rarely occurs, G is recommended as 10.0.

Having determined GA and GB for a column, K is determined by constructing a straight line between the appropriate points on effective length (alignment) charts in section C-C2 of the AISC manual. 

There are two types of alignments charts depending on whether your structure is braced (sidesway not permitted) or unbraced (sidesway permitted). 

Braced structures resist lateral loads through a shear wall or truss system as shown below. The columns are braced and are not allowed to translate laterally. In braced framed, the effective length is less than 1.0. Many designers simply use a value of 1.0 which is simplifying and conservative assumption. A more accurate estimate may be obtained form the alignment charts
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Unbraced frames are frames in which lateral loads are resisted through the bending action in the framing system. The tips of the columns can translate laterally. For such system, K is larger than 1.0 as illustrated below.
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EXAMPLE: Compute the effective length factor (Kx) for the column AB and BC of the shown unbraced frame. The webs of the members are in the plane of the frame.
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GA = 10.0 (not infinity)

GB = 

=0.79

GC = 

= 0.39

From chart, Kx for member AB is 1.85

Kx for member BC is 1.18

AISC Requirements

The basic requirement of compression are covered in Chapter E of the AISC specifications. The LRFD strength equation is as follows (AISC E2):




where, 

Pu = Factored compressive load

Pn = nominal compressive strength = Ag.Fcr

Fcr = critical buckling stress

c = resistance factor for compression = 0.85

Note that the resistance factor for compression is higher than that for fracture, which implies greater confidence in compressive behavior. However, the factor is lower than that for tension, which implies greater confidence in the behavior of tensile members over compressive members.

If 

>1.5 - Elastic Behavior




If 

< 1.5 - Inelastic Behavior




Where the nondimensional slenderness parameter is




AISC B7 recommends a maximum slenderness ratio, KL/r, less than 200. Columns more slender than this are rather uneconomical because of the very low critical stress.
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EXAMPLE
Find the design compressive strength of the shown A36, W12x50 column, for which KLx = 20 ft, and Kly = 10 ft.. 

rx = 5.18 in, KLx = 20x12 = 240 ft, (KL/r)x = 240/5.18 = 46.3

ry = 1.96 in, Kly = 10x12 = 120 in, (KL/r)y = 120/1.96 = 61.2 (more critical)



= 0.686, < 1.5 hence, use second equation (for inelastic behavior)



=29.57 ksi

Pn = 29.57x14.7 (Ag) = 435 kips

Design strength = 0.85 x 435 = 369.5 kips.

Local Stability

It is possible that a compressive member may suffer local buckling of its components even if it has not buckled globally. 

Local buckling causes a reduction in the compressive and bending strengths of a member, and a member is considered to have failed when buckles locally.

The measure of the slenderness of a column is KL/r. For a plate element that can potentially buckle locally, the measure of slenderness is 

=b/t 

where b is the width of the plate, and t it’s thickness. 

Elements of a column can be categorized into stiffened and unstiffened elements as shown below. 
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Stiffened elements are allowed to have much higher slenderness ratios because they are less susceptible to local buckling than unstiffened elements. 

The allowable slenderness limits, r, for different types of elements are shown below (AISC B5.3). The plates will yield before local buckling takes place if this limit is not exceeded.
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Note that h is the distance from the roots of the flanges. The values of h, b, t, tw can be obtained from the manual tables.

Sections that do not satisfy the slenderness limits may be used. However, because of the increased possibility of local buckling before yielding of the cross-section, the strength is reduced as a function the slenderness. 

Tables for Compression Members

Manual Tables (Starting P 3-1) - Lists design strength for members of different lengths for both A36 and Gr. 50 steels. Can use only if ry CONTROLS!

EXAMPLE 

Compute the design strength of an A36, W14x257. Use (KL)x=(KL)y = 20ft

From Table on page 3-118, for A36 steel, Pn = 1940 kips

EXAMPLE

Select the lightest W shape to carry a dead load of 100 kips, and a live load of 120 kips. Assume that (KL)x = (KL)y = 24 ft, and that the steel is A36. 

Pu = 1.4x100 = 140 kips, or

Pu = 1.2x100 + 1.6x120 = 312 kips

Hence, Pu = 312 kips

We need to find the lightest W section to carry this load.

From column tables, using an effective length of 24 ft:

W14x74, Pn = 328 kips

W12x65, Pn = 362 kips

W10x68, Pn = 319 kips

None of the W8’s and W6’s

Choose W12x65 as lightest.

Check slenderness limits:

Flanges, bf/2tf = 12/2/0.605 = 9.92 < 

=15.833 OK

Web, h/tw = 9.5/.39 = 24.35 < 

= 42.16 OK

EXAMPLE

Choose the lightest W-section of A36 steel that can be used to resist a factored compressive load of 1200 kips, and for which (KL)x = 30 ft, and (KL)y = 24 ft

Use tables only if KLx/KLy < rx/ry (1.6 to 1.8)

From the tables, the lightest W14 is W14x176 (1210 kips)

Note that rx/ry = 1.6 > 1.2,  hence ry does control the design. Note that this is an inefficient use of material because the x direction is stronger than the y direction.

Let’s try W12’s. The lightest section is W12x210 (1260 kips)

Note that rx/ry = 1.8 > 1.2, hence ry controls design.

Let’s try W10’s. None of the sections are possible.

Hence the lightest section is W14x176. 

Use of Tables When X-Direction Controls

We can only use the column strength tables if ry controls!!!

Calculate (KL)y,eq = (KL)x/(rx/ry)

Hence to compute the strength of member for which (KL)x controls, all we need do is to compute an equivalent (KL)y that we will use to enter the table.

EXAMPLE 

What is the capacity of an A36, W14x159 if (KL)x = 30 ft and (KL)y = 15 ft? 

For this member, (KL)x/rx = 30x12/6.38 = 56.43

And, (KL)y/ry = 15x12/4=45

Hence the x direction controls, and we cannot use the column tables directly, so let us compute the equivalent (KL)y that we can enter the tables with: 

(KL)y,eq = (KL)x/(rx/ry) = 30/1.6 = 18.75 ft. From the tables, 

At (KL)y, eq = 18 ft, cPn =1230 kips

At (KL)y, eq = 19 ft, cPn = 1200 kips

Hence by interpolation, cPn = 1204 kips. 

EXAMPLE

Choose the lightest W-section of A36 steel that can be used to resist a factored compressive load of 1200 kips, and for which (KL)x = 30 ft, and (KL)y = 15 ft

(KL)x/(KL)y = rx/ry = 30/15 = 2.0

Remember that the rx/ry values for W sections is between 1.6-1.8 except for a few lighter sections. Hence the section you will choose from the column tables will probably not be sufficient for the rx direction. So the section must be designed so that rx controls.

We know that rx/ry will be approximately 1.6-1.8 for most sections, say 1.7

Hence, (KL)y = 30/1.7 = 17.6 ft, say 18 ft

From the table, the lightest W14 section is 14x159 (1230 kips). This section has an rx/ry of 1.59.

For this case (KL)y = 20/1.59 = 18.86. Lets try to calculate the actual capacity.

By interpolation, cPn = 1204 kips > 1200 kips (OK). Hence use a W14x159. 

Now let’s try a W12 section. As before assume (KL)y = 30/1.7 = 17.6 ft, say 18 ft

From the table, the lightest section is W12x170 (1210 kips). For this section, rx/ry = 1.78.

Hence (KL)y = 30/1.78 = 16.86.

At (KL)y = 16 ft, cPn=1270 kips

At (KL)y = 17 ft, cPn = 1240 kips

Hence section is sufficient.

Since W10’s are not suitable for this load, the lightest section is W14x159.
Torsional and Flexural Torsional Buckling

Flexural buckling is the buckling we have talked about till now. It involves bending about an axis corresponding to the largest slenderness ratio as shown. 

Flexural-torsional buckling occurs in singly symmetric sections -0 such as T-sections. 

EXAMPLE

Compute the design compressive strength of an A36, WT15x66. Consider (KL)x = 25 ft and (KL)y = (KL)z = 20 ft.

We can use the column tables, which account for flexural torsional buckling:

For buckling about x axis: cPn= (423+426)/2 = 419.5 kips

For buckling about y axis: cPn= 278 kips

BEAMS

Beams are structural members that are subjected to primarily bending moments. Symmetric shapes are usually preferred. 

Modes of Failure

The following are possible modes of failure for which a beam must be designed for:
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Bending Stress and Plastic Moment

The maximum stress occurs at the topmost point and is:




Sx is the elastic section modulus of the cross-section about the x-axis for the topmost point. For sections that are symmetric about the x-axis, Sx for the top point is the same as Sx for the bottom point. You can find Sx in the cross-section tables. If both Sx, and fy are know, we can calculate the moment that causes first yield as:




Full plastification:
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The moment capacity, Mp,  is then calculated from;




Where Z is the plastic section modulus, which can also be found in the cross-section tables.

When the section is fully plastified, it cannot carry any more load, and it forms a plastic hinge. This plastic hinge can theoretically rotate without any additional applied load. For the shown beam, a plastic hinge will form in the center as the loading increases. When this happens, a mechanism forms and the beam will collapse.
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Design of Laterally Supported Beams

Laterally supported beams are those that are braced against lateral torsional buckling. For such beams, the strength requirement according to AISC LRFD-F2 is:






 is the resistance factor for flexure taken as 0.9

Mu is the factored moment

Mn is the nominal section capacity.

For sections that have thick enough flanges that do not buckle even when the section has undergone significant plastic rotation, Mn = Mp. Such sections are known as compact sections according to LRFD Appendix F1. Most commercially available Gr. 50 and A36 sections are compact. 

Design of Laterally Unsupported Beams

Beams that are not laterally supported over their entire length may fail by lateral torsional buckling of their unsupported length. The compression flange is a compressive member which may buckle laterally under increasing bending moments. Unlike a column, the top flange is somewhat restrained by the bottom tension flange.
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Like column buckling, LTB can occur under fully elastic conditions if the section is slender enough. It may also occur in the presence of inelastic behavior. A curve similar to the column curve may be drawn.

[image: image42.wmf]Mp

Mn

Lb

No LTB

Inelastic LTB

Elastic LTB

Lp

Lr

Lpd

No LTB, large

deformation capacity


Physically, Lr is the length over which a beam will buckle in LTB mode without any inelastic behavior.

If Lb is less than Lr then the beam will be expected to undergo LTB in the inelastic range.

The beam will plastify completely before undergoing LTB if Lb is less than Lp, where (AISC F1-4)

A beam with an unbraced length of Lp is will not necessarily have sufficient plastic rotation for plastic design. If plastic design is to be used, then the unbraced length should be less than Lpd shown in the figure (AISC F1-17).

Moment Gradients

The above equations are true if the beam is subjected to constant moment along its length. If a moment gradient exists, then the moment strength must be modified by a factor Cb.




where:

Mmax is the absolute value of the maximum moment within the unbraced length

MA is the absolute value of the moment at the 1/4 point of the unbraced length

MB is the absolute value of the moment at the 1/2 point of the unbraced length

MC is the absolute value of the moment at the 3/4 point of the unbraced length

EXAMPLE

What is Cb for the shown case:
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Mmax = QL/4 

MA = QL/8

MB = QL/4

MC = QL/8

Cb = 1.32

Here are some well known cases:
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For an unbraced cantilever, the Cb equation does not hold, and Cb is taken as 1.0

For Lb <= Lp  (AISC F1-1)



For Lp < Lb <= Lr  (AISC F1-2)




For Lb > Lr  (AISC F1-13)




OR USE CHARTS!

Design Aids for Beams

For the purpose of design, the charts of page 4-113 onwards are very useful. These charts are for 36 and 50 ksi steel, and consider only LTB as the limiting condition. Therefore you have to check FLB as another limiting condition once you select your section.

Another limitation is that these charts are for a Cb of 1.0. However, to use a different Cb, simply scale the moments from the charts by Cb.

EXAMPLE
Select the lightest A36 rolled shape for the beam shown below. Lateral bracing is provided at the ends and at mid span. There are no restrictions on deflection.
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Assume a beam weight of 0.1 kips/ft

Factored distributed load = 1.2 (1+0.1) + 1.6 x 0.5 = 2.12 kips/ft

Factored concentrated load = 1.2 x 4 + 1.6 x 5 = 12.8 kips

Factored maximum moment (at middle) = PL/4 + wl^2/8 = 229.5 kip-ft

Consider left segment,

Mmax = 229.5 kip-ft

MA = 85.86 kip-ft

MB = 152.6 kip-ft

MC = 200.3 kip-ft 
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Hence 

=1.404

The charts were designed for Cb=1.0. Hence the moment that we must enter the charts with is M/Cb = 229.5/1.404=163.5 kips ft

For an unbraced length, Lb = 12 ft.

Choose a W16x40
Note that weight of beam is 40 kips/ft < 100 OK

From curve, 

 = 166 kip-ft

For Cb = 1.404, 

=166x1.404 = 233.1 kip ft 

This moment cannot exceed 

=0.9x72.9x36/12=196.8 kip ft

Hence the section is unsuitable. Need a section with 

 > 229.5 kip ft

Choose a W21x44.

From chart, 

=192.5 kip ft

For a Cb=1.404, 

=1.404x192.5 = 270.3 kip ft

The moment cannot exceed 

=0.9x95.4x36/12=257.6 kip ft > 229.5 kip ft OK

Shear Design

The actual shear stress on a steel section looks like this:
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For design purposes, the shear stress on a w-member will be calculated as follows:




where V is the applied shear, d is the full depth, and tw is the web thickness. In other words, the shear stress used for design is the average shear stress applied on the gross area of the web. This is a generally conservative assumption.

The shear strength of a beam must be sufficient to satisfy the following relationship:




where 

 = 0.9

Vn is the nominal shear strength 

Vu is the factored shear force

If 

 then shear yielding can take place (AISC F2-1):



 

In this case, the beam will yield in shear prior to web local buckling. If the web is more slender, then local web elastic or inelastic buckling may occur prior to shear yield.

If 

, then inelastic web buckling will take place (AISC F2-2):




If 

, then elastic web buckling will take place (AISC F2-3):




If h/tw is greater than 260, then web stiffeners are required (See Appendix G for plate girders).

Concentrated Loads Applied to Rolled Beams

Concentrated loads may be applied to a beam at a support or elsewhere. When such loads are applied to a beam, the web may:

1)  Locally yield (crush)

2)  Cripple

The support region must be designed to prevent all three types of failures. The basic design equation is:




Local Yielding

The load gets distributed as shown in the figure below along lines sloping at 1:2.5. You must make sure that the stresses on the region (N+5K) or (N+2.5K) which are at the thinnest part of the web (after the fillets) are not high enough to cause yielding.

For this type of failure,

 = 1.0 which reflect the lower factor of safety for this type of failure.

For interior loads (acting at a distance of more than d from the end of the member) (AISC K1-2): 




For end reactions (AISC K1-3):
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Web Crippling

This type of failure is a local web buckling under the influence of the concentrated load. In this case ,

 = 0.75

For interior loads (concentrated loads acting at d/2 or more from end) (AISC K1-4): 




For exterior loads (concentrated loads acting at less than d/2 from end) (AISC K1-5):




 for N/d <=0.2



 for N/d > 0.2

BEAM-COLUMNS

Beam columns are elements that are subjected to significant bending and axial loads at the same time. Most elements in a moment resisting frame are beam-columns.
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Interaction Curves and Formulas

When a steel member is subjected to little axial load, its bending capacity will be larger than if it were subjected to a large axial force. Similarly, a member that is subjected to large bending moment has a smaller axial capacity than if it were subjected to a small bending moment.

We can draw a curve that will represent the interaction between axial and bending strength. This type of curve is known as an interaction curve.
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 (AISC H1-1b)
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Note that 

 is the strength reduction for compression = 0.85. This implies that these equations are for compressive forces. If the applied axial forces are tensile, the use 

=0.9.

EXAMPLE

Determine if the A36, W14x99 shown below is acceptable. Assume that bending is about the strong axis.
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Pu = 400 kips

Mu = 15 x 14/4 = 52.5 kip ft

Let us determine the column strength. It is clear that (KL)y controls for the column strength.

(KL)y = 14 ft.

From the Column Strength Tables (p. 3-20), 

=799 kips

Let us determine the beam bending strength. For strong axis bending, 

Lb = 14 ft

Cb = 1.32 (recall example we did before)

From the Beam Strength Tables (p. 4-18), 

Lr = 58.2 ft

Lp = 15.5 ft, hence, the beam will achieve Mp before LTB.



=467 kip ft

Now let us check the strength according to the interaction formula:



400/799 = 0.5 > 0.2

Hence we must use equation H1-1a



= 400/799 + 8/9 x 42.5/467 = 0.58 < 1.0 OK!

Moment Amplification

The P- effect and the P- effects must be considered. 
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The AISC accounts for the moment magnification due to both effects as follows (AISC C1-1): 




where B1 is the moment magnification factor for braced conditions

Mnt is the maximum moment assuming no sidesway occurs (nt stands for no translation)

B2 is the moment magnification for unbraced conditions

Mlt is the maximum moment caused by sidesway.

Calculate B1

AISC suggests the following amplification factor (AISC C1-2):




Cm is a factor that accounts for the shape of the moment diagram. Obviously Cm will never be larger than 1.0 which corresponds to the most critical case discussed first.

Pe1 is the Euler buckling load about the axis of bending.

EVALUATION OF Cm
AISC differentiates between two cases

No Transverse Loads Acting on the Member 

In this case, 


M1 is the end moment that is smaller in absolute magnitude

M2 is the end moment that is larger in absolute magnitude
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Obviously, if M1 and M2 are in the same direction, we will end up with a case similar to the first one we discussed. Hence the ratio has to be negative so as to make Cm closer to 1.0, and vice versa.

Transversely Loaded Members

For transversely loaded members, it would be conservative to assume Cm to be 1.0. In lieu of this the more accurate AISC equation can be used:




The values of  and Cm are given in Table C-C1.1 of the commentary for common cases. For example:

Table C-C1.1

	case
	
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Calculate B2

There are two ways by which the moment amplification factor can be computed. The first equation is (AISC C1-4)




Where, 

 is the sum of all factored loads acting on all columns of the story under consideration



 is the drift of the story under consideration



 sum of all horizontal forces causing 


L = story height.

Note that the summations are because all the columns must sway in the same manner in order for one member to sway.

The alternative equation is (AISC C1-5):




where 

 is the sum of all Euler loads for all the columns in the story under consideration for bending about  the axis about which sway occurs.

Note that either equation may be used. Research has shown that they both give similar results, hence you should use whichever is simpler for you depending on what information you have.

Computing Mnt and Mlt
The procedure is as follows:

1)  If sidesway is permitted in the structure, then to compute Mnt we must prevent the sidesway first.

2)  Compute the moments acting on the member in question. The maximum moment on the member is Mnt

3)  Compute the reactions on the supports used to prevent sidesway.

4)  Remove the original loads and apply the opposite of the reaction forces to the structure, and compute the new moments.

5)  The maximum moment acting on the member in question is Mlt.
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Design of Beam-Columns

To find a suitable member to resist a certain combination of forces is complicated by the many variables involved. The procedure must therefore be based on a trial and error approach and is not common in the PE exam. . 
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